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ABSTRACT

Consistent with the principles of a capacity design philosophy, the ideal approach for the
seismic design of reinforced concrete multiple column bridge bents is to conveniently select plastic
hinges to form in the top and bottom of columns. As plastic hinges develop in the top and bottom
of columns, inspection and repair can be achieved without significant traffic disruption, and a ductile
performance is easily achieved by the confining action of steel shells and/or transverse
reinforcement. Thus, the earthquake energy is dissipated in the column plastic hinge through
hysteretic damping. In addition, cap beams are protected from any significant inelastic actions, as
these members are not conveniently used o provide energy dissipation.

Using these principles of seismic design a design example was prepared, which was based
on the Knik River Overflow Bridge, situated north of Anchorage. Analytical results based on a
pushover and time history seismic assessment indicate that the cap beam design is adequate in
ensuring a ductile performance, and plastic hinges will form at the top of the pile shaft/columns.
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1 Introduction

A detailed list of recommendations for the design of Multiple Column Bridge Bents is
described in reference [1]. This research project was developed for the State of Alaska department
of transportation and public facilities to provide guidelines for the seismic design of multiple column
bridge bents constructed with cast in place steel shells. In order to illustrate the implementation of
these recommendations, a design example was prepared and is presented in this report. In this design
example the Knik River Overflow Bridge, which is situated north of Anchorage, was selected as the

prototype structure.

Ten bridge structures built in the State of Alaska were assessed for seismic response using
models developed at the University of California San Diego. Analyses of these bridges under
simulated seismic loads indicated that there is a high propensity for excessive damage to these
bridges. Analysis findings are presented in Tables 1-1 through 1-3.

As illustrated in these tables some of the design deficiencies identified were:

(i) Excessive Amounts of Column Longitudinal Reinforcement. For example, a column
with a longitudinal reinforcement ratio as high as 9% was identified in the columns of the Susitna
River Bridge (see Table 1-1). This high level of reinforcement ratic imposes very large shear
demands in the joints and consequently, requires impracticable amounts of reinforcement in the

joints.

(ii)  Potential for Plastic Hinging in the Cap Beam. In Table 1-2 the Chena River Bridge
cap beam yield flexural strength to column ideal flexural strength ratio of approximately 45% was
identified. Consequently, inadequate longitudinal reinforcement in the cap beam will not prevent

inelastic actions from developing in these members under seismic loading.

(iii)  Inadequate Joint Shear Reinforcement. Most of the bridges presented in Table 1-3
indicate inadequate joint shear reinforcement to resist undesirable inelastic actions in the connection

of the beam to the column.

(iv)  Deficient Cap Beam Shear Strength. Inadequate transverse reinforcement was also
identified in some of these bridges, as described in Table 1-3. Inadequate confinement of plastic
hinges in the cap beam will result in brittle shear failure of the cap beam.



(v) Embedment of Steel Shells in the Joint Region. A pile shaft/column, commonly
employed in the construction of bridges in the State of Alaska, consists of a cast-in-place steel shell
section (CISS), which is embedded into the cap beam/column connection. Even at low levels of
column rotation, damage to the cap beam bottom surface cover concrete would be inevitable due to
the prying action of the embedded portion of the steel shell. This may result in exposure of the cap
beam reinforcement to corrosive environments and premature corrosion of this reinforcement, which

would be potentially hazardous under seismic actions.

Table 1-1 State of Alaska Bridge Sections — Column Section Design Parameters

Bridge C.olumn .Shell Co-lumfl S}?ell Reiqforc.

Section Plameter Thlckness Longltudlnal Ratio % Ratio %

in. (tnm) in. (mm) Reinforc. Ash/Ag A st/ Ac
MATANUSKA 48 (1220) 1 (25.40) 32-#11 8.2 2.8
EAST FORK 24 (610) 1(25.40) - 16.0 -
KNIK 48 (1220) 1(25.40) 19 - #18 8.2 4.2
CHENA 42 (1067) 3/4(19.05) 56 - #10 7.0 5.1
CANYON 36 (914) 1(25.40) 12 - #11 11.0 1.8
SHIP 36 (914) 1/2 (12.70) 32-#10 55 4.0
KLUTINA 36 (914) 1 (25.40) 12 -#9 11.0 1.2
GEIST 30 (762) 1/2 (12.70) 20-#9 6.5 2.8
SUSITNA 24 (610) 3/4 (19.05) 32-#10 12.1 9.0
KNIK 36 (914) 3/4 (19.05) 12 - #10 8.2 20
MULT,}:ES(?I,LUMN 36 (914) 1/2 (12.70) 16 - #11 55 25




Table 1-2 State of Alaska Bridge Sections - Cap Beam Section Design Parameters

Bridee Cap Beam Cap Beam Cap Beam Reinforc. Vertical
Secti%)n Width Depth Longit. Ratio % Stirrups
in. {mm) in. (mm) Reinforc. As/Ac within Hb
MATANUSKA 72 (1829) 60 (720) 10 - #11 0.40 10 - #5
EAST FORK 48 (1220) 30 (762) 10 - #11 1.25 40 - #5
KNIK 72 (1829) 60 (720) 10 - #11 0.40 12 - #6
CHENA 60 (720) 42 (1070) 10 - #10 0.55 8 - #5
CANYON 54 (1372) 33 (838) 10 - #9 0.65 24 - #5
SHIP 48 (1220) 48 (1220) 14 - #9 0.66 12 - #6
KLUTINA 54 (1372) 48 (1220) 88_'##190 0.35 10 - #5
GEIST 60 (720) 36 (914) 7-#10 0.45 12 - #6
SUSITNA 45 (1143) 42 (1067) 8- #9 0.47 16 - #6
KNIK 54 (1372) 36 (914) 6 - #9 0.35 8-#6
MULTI-COLUMN 10 - #9
TEST 54 (1370) 42 (1070) 13 - #9 0.50 42 - #4
Table 1-3 State of Alaska Bridge Sections - Expected Failure Mode
i My,cap V capacity Joint P t Av EXPECTED
Brld‘ge % A — % FAILURE
Section Mi,col Vesign Ve Ajv MODE
MATANUSKA 70 96+ 5.5 35 Cap Beam Flexure
Joint Shear
EAST FORK 90 290 15 95 Cap Beam Flexure
Joint Shear
Cap Beam Flexure
*
KNIK 50 70 8 40 Toint Shear
CHENA 45 99 14 20 Cap B4eam Flexure
Joint Shear
CANYON 70 620%* 7.5 230 Cap Beam Flexure
SHIP 84 340% 7 75 Cap Beam Flexure
Joint Shear
KLUTINA 140 170 3 119 Ductile Response
GEIST 80 175% 6.5 140 Cap Beam Flexure
SUSITNA 70 275* 10.5 1190 Cap Beam Flexure
KNIK 50 332 5 120 Cap Beam Flexure
MULTI-COLUMN .
TEST 105 112 7 105 Ductile Response




In order to address the above design deficiencies and to ensure a proper ductile response of
multiple column bridge bents, findings from recent research studies at UCSD were used to design
the Alaska Cast-In-Place Steel Shell Three Column Bridge Bent test unit. Experimental results were
then used to validate the design recommendations developed for the seismic design of reinforced

concrete bridge bents with cast-in-place steel shells.

Design recommendations were developed in accordance with the capacity design philosophy

and were as follows:

(i) Column Longitudinal Reinforcement. In reference [2], the recommended upper limit
for the column steel ratio is 4%, and ratios below 3% are normally found in the design of bridge
columns. Consequently, the longitudinal reinforcement ratio was limited to 2.5% consistent with the

design recommendations by Priestley et al.[2].

(ii)  Anchorage of Column Longitudinal Reinforcement. In order to improve
constructability of the joint regions, the column longitudinal bars were terminated straight into the

cap beam.

(iii}  Steel Shell Embedment. In order to protect the cap beam from extensive damage due
to the prying action of the steel shells, the steel shells were terminated 2in. (51mm) below the cap

beam.

(iv)  Confinement of Plastic Hinges. Confinement of the column plastic hinge at the gap
region was ensured by providing adequate transverse reinforcement to constrain buckling of the

column longitudinal reinforcement and permit large inelastic rotations.

(v) Cap Beam Design. Design of the cap beam was developed in order to ensure an
elastic response of this member under any seismic action that imposes the overstrength moment in

the columns.

(vi)  Joint Design. Design of the connection between the cap beam and the columns was
performed to achieve joint constructability and to limit significant damage within the joint region

under seismic actions.



Competence of the design procedure established for reinforced concrete bridge bents was
examined in a proof test by studying the influence of the design issues described above on the overall
seismic response of the full-scale test unit as presented in [1]. Based on the seismic performance of
the test unit, appropriate design recommendations were made, and in a parallel analytical study an
attempt was made to present a design example that illustrates the implementation of these design

procedures.

Following an introduction to the design deficiencies, which are presented in Tables 1-1
through 1-3, found in some of the bridges built in the State Alaska and a list of the design details
presented in reference [1], Chapter 2 describes the current Knik River Overflow Bridge structure,
The expected failure mode of the prototype structure was determined based on a pushover analysis
and time history analysis. Chapter 3 presents the redesign of this bridge based on the recommended
design procedure. Finally, this design example report concludes with specific recommendations for
the seismic design of reinforced concrete bridge bents with cast-in-place steel shell pile-
shaft/columns, as presented in Chapter 4 and outlined in more detail in reference [1].



2 Seismic Assessment of the Knik River Overflow Bridge

Application of the design recommendations presented in reference [1] will be illustrated for
a typical multiple column bridge bent in the form of a design example. The bridge selected for this
design example was the Knik River Overflow Bridge, which is a two span bridge with a center four
pile/column bridge bent, as shown schematically in Figure 2-1.
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Figure 2-1 Knik River Overflow Bridge - Prototype Structure

For this bridge, the pile shaft/columns consist of a cast in place steel shell with an inside
diameter of 36in. (914 mm) embedded 2in. (50.80mm) into the cap beam, and a shell thickness of
1/2in. (12.70mm), as shown in Figure 2-1 and Figure 2-2. The connection to the cap beam consists
of 12-#10 bent bars for a longitudinal reinforcement ratio of 2%.The transverse reinforcement
consists of #6 bars at a spiral pitch of 3 in. (76.20 mm) in the top 60in. (1.52 m), and #6 bars at a
spiral pitch of 12in. (305 mm) below this region. The cap beam dimensions are 54 in (1.37 m) wide
by 36 in. (914 mm) deep, reinforced with 6-#9 bars in the top and bottom layer of reinforcement and
2_#9 bars on either side. The transverse reinforcement consists of #6-2 legged stirrups at 10 in. (254

mm) on centers.
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Figure 2-2 Column/Cap Beam Joint Section

2.1 Material Properties

Concrete and steel material properties used in the analysis of the prototype and redesign
structure presented in Chapters 2 and 3, respectively, are presented in Table 2-1

Table 2-1 Material Properties

Longitudinal Longitudinal
Reinforcement Reinforcement
fy fu fy Spacing Concrete
ksi [Mpa] | ksi [Mpa] | ksi [Mpa] | in. [mm] Strength

66 99 66 3

COLUMN [455] [683] [455] [76.20] > 39
60 60 60 10

CAP BEAM [414] [414] [414] [254] 3 [21]




2.2 Pushover Analysis Response

In this section, a brief description of the pushover analysis response is presented. The
pushover analysis in this study was conducted through a control program, which interacted with a
moment-curvature analysis program and a finite element structural analysis program, as presented
in reference [1]. The soil-structure interaction analysis was performed using the discrete finite
element model illustrated in Figure 2-3. Some of the parameters that had to be considered in this
model were the bending stiffness of the pile shaft/columns and cap beam, and the axial stiffness of
the soil, both in the vertical and horizontal direction.

2.2.1 Modeling of the Prototype Structure

Critical issues in the modeling of the pile shaft/columns were the composite action between
the steel shell and concrete core in the connection and subgrade regions, embedment of the steel shell
into the cap beam and confinement of the concrete core by the steel shells. The influence of these
design parameters in the load deformation response of CISS sections were experimentally and
analytically studied in a test program conducted at UCSD, as presented in reference [3], and are

extensive detailed in reference [1].

In addition, the soil was modeled as an array of uncoupled linear elastic spring elements.
Elements to model the soil were only placed on one side of the pile, because the axial stiffness of
the members to represent the soil stratum were the same in compression and in tension. In this work,
the analytical subgrade reaction model, typically known as the Winkler model, was used for the
analysis under simulated seismic loading. In the Winkler model, the soil strength is characterized
by the relation between soil pressure and displacement by the coefficient of subgrade reaction as
described in Figure 2-3. A great advantage in modeling the soil by uncoupled, discrete springs, is
the ease of obtaining a solution using any structural program that uses discrete truss and beam

elements.

Additional issues related to the iteration procedure are beyond the scope of work described

in this report, and may be found in references [1] and [3].
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Uniform Distributed Lateral Load: 17.75kips/ft (259kN/m)

100.00ft (47.24m)

Pushover Analysis Results

The pushover analysis lateral force-deformation relationships and limit states are plotted in
Figure 2-4. Limit states at critical events are also plotted in Figure 2-4 from cracking of the cap
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Figure 2-3 Soil-Structure Interaction Finite Element Model

beams, to joint shear failure and full formation of the plastic mechanism.

Limit states presented in Figure 2-4 indicate that failure occurs due to the limited capacity
either of the cap beam or joints. This pushover analysis predicts that large tensile strains in the cap
beam longitudinal reinforcement and compressive strains in the concrete core will be achieved,
which impose large rotational demands in the cap beams. Because of limited amounts of transverse
reinforcement in the cap beam plastic hinge regions, it is expected that premature buckling of the cap
beam longitudinal reinforcement and shear failure will occur without achieving the flexural capacity

-9.



either of the cap beam or columns. In addition, insufficient joint shear reinforcement will most likely

lead to failure in the joint regions.

Also presented in Figure 2-4 are the spectral forces and displacement obtained from the time
history, which will be presented in the next section. According to the spectral displacement the
structure will not be capable of resisting the imposed deformations. Thus, even if proper detailing
for the transverse and joint shear reinforcement is provided, failure of the structure is expected to
occur due to fracture of the longitudinal reinforcement. A detailed explanation of the time history

analysis is presented in the next section.

Cap beam and column moment curvature relationships are presented in Figure 2-5. Columns
will be subjected to minimum curvature ductility demands, but the cap beam will be subjected to

large curvature ductility demands, as previously described.
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Figure 2-4 Lateral Force-Deformation and Limit States
From Pushover Analysis
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From Pushover Analysis

2.3 Time History Analysis Response

In this section, analysis of the section was performed using a time history simulated ground
motion, which spectrum approximates the design spectrum, as presented in Figure 2-6. The design
spectrum was the typical AASHTO design spectrum obtained according to the expression [4]:

12A S
T :,/5

where A is the a peak ground acceleration, S is the site soil profile coefficient, and Ty is the natural

- 11 -



period of the bridge. Design values for this particular bridge were; A=0.40g and S$=1.5, which
corresponds to soil Type III. The bridge natural period was estimated at 1.10sec, which will be

presented in the next section.

members to the point of contra-flexure in the subgrade region, as depicted in Figure 2-7(b).
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2.3.1 Effective Cantilever Length and Structure Natural Period

The columns effective cantilever length used in the finite element model for the time history
analysis were obtained from curves developed by Budek et al [2], which illustrates the depth to fixity
concept. Thus, in a similar analysis it is not necessary to run a pushover analysis, but one may
directly compute the effective cantilever length by employing these or similar curves.

In order to estimate the effective cantilever length the coefficient of horizontal subgrade

reaction, k,,, used in this analysis was 40 kips/ft’ (6279 kN/m®). The effective bending stiffness, ELg,
of the columns was obtained from a bilinear approximation, as depicted in Figure 2-8.
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Based on the values for the coefficient of horizontal subgrade reaction, k,, effective bending
stiffness, El,, column diameter, D, and effective column diameter of 6ft (1.83m), D, the
soil/structure stiffness parameter was obtained according to the expression [2]:

1000 KD® _ 1000 x 40 x 3 x 3°
D" El, 6 x 1.13x10°

= 13- 00 (2.1)

Plotting the soil/structure stiffness parameter in Figure 2-9 the columns effective cantilever
length, H,,,, used in the time history analysis was 12.75ft (3.89m). ‘

The elastic period of the structure, Ty, was estimated at 1.10 sec, which was computed
according to the Rayleigh’s Method. Calculations to estimate Ty are presented in Table 2-2.
Referring back to Figure 2-7, the distance from the cap beam center line to the center line of the
superstructure center of mass was estimated at 7.00ft (2.13m).

Curvature (1/m)

0.000 0.040 0.080 0.120 0.160
30000 4
- 3000
25000
- 2500
—~ 20000 - _
£ ' » E
= - 2000
g™ =)
= 15000 1 =
S My = 19664 kip-in. (2222kN-m) -1500 2
E @, =0.00012 L/in. (0.0047 lim) i 3
< Y
= 0000 M, = 25081 kip-in. (2834 kN-m) S
@, = 0.0031 lfin. (0.12 1/m) - 1000
Elen:My/cby
5000 = 1.13x108 kip - 112 (0.47x108 kN -m2) | (o0
g - ——— e+ {)
0.000 0.001 0.002 0.003 0.004

Curvature (1/in.)
Axial Load = 300 kips (1334 kN)

Figure 2-8 Steel Shell Encased Reinforced Concrete Column, Axial Load P=300 kips
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Elastic Stiffness

5.00
3 El eft ) B =Hpree /D =8D
Ket =————— =1636kips/ft o5 (1000 x KD6 / D* Eleff) =13.00
H eff 3 ( 24024 kN/m) o Heant = 4.25D = 12,75 ft (3.8%m)
£ 425
3 El et , = 1
K *err = = 440 kips / ft = 4007
H* eii 3 (6464 kN/m) 5 |
S 50 !
H*er=1275+3 +4ft SSH :
=19.75 ft (6.02m) r-E !
o300
= 7 1
O [}
Soil-Structure Stiffness Parameters = T
250+ |
1 I
kn = 40 kips/ ft* (6279 kN / m?) 1
, 2,00+ ——
k = Dky = 120 kips/ ft 2 (5746 kN/m ?) T a0 40 e 80 100 120 140
(4] o~
1000 k D¢/ (D* El eff) = 13.00 Soil-Pile Stiffness Parameter
(1000 x XD6 / D* Eletf)

Figure 2-9 Computation of Column Effective Cantilever Length After Budek [3]

Table 2-2 Natural Period - Rayleigh’s Method

w K L
Member kips kips / ft ft oi Adi woii | KAo#
(kN) (kN /m) (m)
2452 1760 19.75 2452 310
Superstructure (10907) (25856) (6.02) 1.00 042 1 10007) | @s61)
112 6544 1425 38 2202
Column + Cap Beam || ;o (96096) @z | 08 | 098 1 gesy | @232
2489 2512
Cantilevered Column, T =1.10 sec (11061) | (36888)
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2.3.2 Time History Analysis Results

An elastic and nonlinear time history analyses were performed using the simulated ground
motion presented in Figure 2-6(d), and the finite element model described in Figure 2-6(b). The
modified Takeda model was the model used to characterize the hysteretic behavior of the columns
and cap beam. This model was based on the bilinear approximation presented in Figures 2-8 and

2-10 for the columns and cap beam, respectively.

Elastic and nonlinear moments at the top of the columns located on the extreme sides and
the adjacent cap beam moments are plotted in Figures 2-11(a) and 2-11(b), respectively.
Calculations for force reduction factors are presented in Table 2-3, which indicate that a force
reduction factor, R, of approximately 3.47 will be achieved. In addition in Figures 2-11(c) and 2-
11(d) are presented the column top displacement for the elastic and nonlinear analysis, respectively.
Values presented in Table 2-4 indicate that a displacement ductility, u of approximately 3.90 will
be achieved. This value is approximately the same as the R value, which characterizes the equal-
displacement principle established for an inelastic system [2]. The calculated displacement ductility
is slight below the recommended value of 1,=4.00, which was based on observations recorded
during testing [1]. Thus, a slight reduction in the moment capacity of the columns may be
implemented in the redesign of this structure, which will be one of the objectives in Chapter 3.

In Figures 2-12(a) and 2-12(b) are presented the columns and cap beam moment-curvature
relationships, respectively, obtained from the nonlinear time history analysis. Referring to Figure
2-12(a), it is clear that the columns under the imposed seismic actions will be subjected to minor
inelastic deformations. However, large inelastic rotations will be imposed on the cap beam, as
illustrated in Figure 2-12(b) and previously demonstrated while presenting the pushover analysis
results. Thus, the cap beams must be redesigned in order to achieve a proper ductile response of the
structure, which is another objective that will be presented in Chapter 3.
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Curvature (1/m}

0.00 0.02 0.04 0.06 0.08
25000 " " 1 i i L L L L n " l
- 2500
20000
- 2000
15000 -
] L 1500
10000 My_= i46'l2kipl-;1. (1658 kN-m) _
] @, = 0.000084 Lfin. 0.0033 1/m) [ 1000
M, = 21994 kip-in. (2485 kN-m) -
] @, = 0.0018 Lfin. (0.071 l/m)
5000 - Eleff = My/dy 500
= 1.22x100 kip - f12 (0.51x10% kip - f12)
I et 0
0.0000 0.0005 0.0010 0.0015 0.0020

Curvature (1/in.)
Axial Load = 0.00 kips

Figure 2-10 Cap Beam, Axial Load P = 0 kips
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Figure 2-11 Simulated Ground Motion Lateral Force and Displacement
From Time History Linear and Nonlinear Analysis
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Moment (kip-in.)

Table 2-3 Force Reduction Calculations
From Time History Analysis

W | Ve [ o | W[ g
kips kips g kips VelV
(kN) (kN) (kN) ’
. . 2600 1872 540
Bridge Weight (11565) (8327) 072 (2402) 3.47
Table 2-4 Displacement Ductility Calculations
From Time History Analysis
Ay Aa
in. in. 1.9
(mm) {mm)
Column Top 1.90 740 3.90
Displacement (48.26) (188.00) )
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Figure 2-12 Moment vs
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3  Seismic Redesign of the Knik River Overflow Bridge Bent

Seismic assessment of the Knik River Overflow Bridge, as presented in Chapter 2, has
proven the likelihood for failure of this bridge below the design level. Deficiencies, which were
encountered in the design of this bridge, have shown that under a seismic event below the design
earthquake level the following failure modes are expected: (1) cap beam flexural failure, (2) cap
beam shear failure, and (3) joint shear failure. In this chapter redesign of the Knik River Overflow

Bridge is developed based on the design procedure presented in reference [1].

The main design issues that were addressed in the redesign of this bridge bent were as

follows:

(i) Column Longitudinal Reinforcement was designed according to the design response
spectrum previously described and a force reduction factor, R, of 4. The design was then checked
to ensure that the displacement ductility did not exceed 4.

(ii)  Anchorage of the Column Longitudinal Reinforcement was satisfied by designing the
cap beam with the appropriate depth for adequate development of the pile shaft/column longitudinal

reinforcement.

(iii)  Steel Shell Embedment into the cap beam was not adopted. Instead, a steel shell gap
of 2in (50.80mm) below the cap beam is proposed to ensure that overstrength moments and damage
to the cap beam, due to the prying action of the steel shell, do not occur.

(iv)  Confinement of Plastic Hinges at the top of the pile shaft/columns was provided to
ensure that buckling of the column longitudinal reinforcement and shear failure do not occur in the

gap region.

(v) Cap Beam Flexural and Shear Design was performed to ensure that plastic hinges

only developed at the top of the pile shaft/columns.

(vi)  Joint Design was performed according to joint shear force transfer mechanisms, as
described in reference [1], to ensure the proper formation of plastic hinge at the at the top of the pile

shaft/columns.
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3.1 Preliminary Seismic Design

Design of the Knik River Overflow Bridge was developed to satisfy the design issues
previously described. Assuming the natural period, Ty, of 1.10sec and an effective cantilever length
of 12.75m (3.89m) for the columns, as described in Chapter 2, the preliminary design moment
calculations for the pile shaft/columns are presented in Table 3-1.

Table 3-1 Preliminary Design Moment Calculations

W Cs Ve Vn/Col L Mp/Col
Member kips kips kips ft kips-in.
(kN) & (&N) kN) | (m) | (kN-m)
Sunerstructure 2452 0.68 1667 10425 | 1275 | 15950
upers (10907) ' (7417) @64) | (3.89) | (1802)
112 76 5 12.75 765
Column + Cap Beam (498) 0.68 (338) @2) (3.89) (86)
Design Moment for Individual Columns = 16715
(1889)

Based on Table 3-1 the design moment for the individual pile shaft/columns was
16,715kips-in. (1889kN-m). A moment curvature analysis for the section described in Figure 3-1
was performed for an axial load of 340kips (1512kN),which represents approximately the average
axial load present in the columns. The X-section presented in Figure 3-1(b) is identical to the
prototype section, but the steel shell is not embedded into the cap beam, as shown in Figure 3-1(a).
The force equilibrium equations used to develop the moment curvature analysis are described in
reference [1]. In establishing the force equilibrium calculations a transverse reinforcement with a
spacing of lin (25.4mm) is proposed in the gap region.

Since, the average ideal capacity of this section was 17900kips-in. (2022kN-m), as described
in Figure 3-2, which is slightly higher than the required moment capacity, this section was then used
for the design of the bridge bent. Complete design of the bridge bent is presented in the next section.
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Figure 3-1 Pile Shaft / Column X-Section
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Figure 3-2 Reinforced Concrete Section for the Column Gap Region
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3.2 Bridge Bent Seismic Design

Seismic design was performed using the AASHTO design spectrum previously described in
Eq. (2.1). The response spectrum design values were the same presented in Chapter 2, which were:
A=0.40g and S=1.5, which corresponds to soil Type IIL. The bridge bent natural period was 1.07sec,
which will be presented in the next section. As before, the columns effective cantilever length were
obtained from curves developed by Budek et al [2]. In this analysis, the coefficient of horizontal
subgrade reaction, k,, was 40 kips/ft® (6279 kN/m’). The effective bending stiffness, Ely, of the
columns was obtained from a bilinear approximation of the moment curvature analysis presented in

Figure 3-2.

Based on the values for the coefficient of horizontal subgrade reaction, k,, effective bending
stiffness, El,, column diameter, D, and effective column diameter of 6ft (1.83m), D’, the
soil/structure stiffness parameter was obtained according to the expression [2]:

1000 KD® _ 1000 x40 x 3 x 3° _ .5,
D" El 6 x 1.06x10°

Plotting the soil/stracture stiffness parameter value of 13.75 in Figure 3-3 the columns

effective cantilever length, H,,,, used in the time history analysis was 12.00ft (3.66m).

3.1

Elastic Stiffness

5.00

H = Hfpee /D = 8D
(1000 x KD / D* Eleff) =13.75
Heant = 4.17 D = 12.00 ft (3.66m)

Kot = —2L 1840 kips / ft

4.50 1
H et ? (26852 kN/m) ]
417 j4-

3 EI eff 4.00 ]

K *etf = = 464 kips / ft
H* er > (6772 KN/m)

3.50 -
H*err=12.00+3 +4ft 1
=19.00 ft (5.80 m)

3.00 -

Depth to FixitylPilé Diameter

Soil-Pile Stiffness Parameters

250 1
ky = 40 kips/ ft 3 (6279 kips/ ft ?) o]
00 +— : :
k = Dky = 120 kips/ ft * (5746 kN/ m ?) 0 20 40 60 80 100 120 140
1000 k D¢/ (D* EI eff) = 13.75 Soil-Pile Stiffness Parameter
(1000 x KD6 / D* Eless)

Figure 3-3 Effective Cantilever Length Calculations
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The elastic period of the structure, Ty, was estimated at 1.07 sec, and calculations are
presented in Table 3-2. As before, the distance from the cap beam center line to the center line of

the superstructure center of mass was estimated at 7.00ft (2.13m).

The design moment calculations were then revised based on the effective cantilever length
of 12.00ft (3.66m), the natural period of 1.07sec and the spectral acceleration of 0.69g. Calculations
presented in Table 3-3 indicate that the section, as described in Figure 3-1(b) and the corresponding
moment curvature analysis presented in Figure 3-2, is adequate to resist the seismic moment of
17914 kips-in.(2023kN-m). The spectral acceleration was obtained from the design spectrum
presented in Figure 3-4, which is the same outlined in Chapter 2.

Table 3-2 Natural Period - Rayleigh’s Method

_24-

W K L
Member kips kips / ft ft oi Adi Woit | KAgi
(kN) (kN /m) (m)
2452 1856 19.0 2452 359
Superstructure (10907) (27086) (5.80) 1.00 044 | 0007y | (5244
112 7360 13.5 35 2308
Column + Cap Beam (498) aoratny | @in | 9 | %% | ase | (33684)
2487 2667
Cantilevered Column, T = 1.07 sec (11063) | (38928)
Table 3-3 Design Moment Calculations
W Cs Ve Vp/Col L Mp/Col
Member kips kips kips ft kips-in.
(kN) g kN) &N) | m | kN-m)
2452 1691.88 | 10575 | 135 | 171315
Superstructure (10907) 0.69 7526) | @70) | (@11 | (1936
112 77.28 4.83 13.5 782.5
Column + Cap Beam (498) 0.69 (344) (21.5) 4.11) 87)
Design Moment for Individual Columns = 17914
(2023)
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3.2.1 Cap Beam Design

The design of the cap beam was performed considering the pile shaft/column overstrength,
M°, ,, to ensure that the cap beam remains essentially elastic, and inelastic deformations are mainly
concentrated in the column plastic hinges under the imposed gravity and seismic loads. Preliminary
dimensions of the cap beam were computed based on the equations presented in Table 3-4.

Table 3-4 Cap Beam Design Dimensions

¢ Anchorage of Longitudinal Reinforcement
La > 0.025 dy Ao fy/ V= 0.0025 x 1.27 x 1.40 x 60000/ V 5000 = 37 in. (940mm)

¢ Cap Beam Depth:
hy = La+ Cover + dp = 35 + 5 =40 in. { Knik 36 in. )

¢+ Cap Beam Width
Wy =D+ 2 xD/4 =36+ 1.5 x 36 = 54 in. ( Knik 54 in.)

Preliminary design forces for the cap beam flexural design were obtained based on the
diagram presented in Figure 3-4. From geometry, preliminary bending moments for the design of

the cap beam may be estimated as follows:

P H,, 283L, -D/2
090M°,,, = LO5M?’,, 3.2)
23L, H,, —~h”2
L, Given:
- >
M°,,, = 21566kips-in.(2437kN-m)
( per Figure 3-2)
Pa— H,,_ = 12.00+1.5 = 13.50ft (4.11m)
Moc‘,,—;v L, = 11.75ft (3.58m)

D = 36in. (914mm)

h, = 42in. (1.07m) (per Table 3-4)

b M"Cap = 23372kips-in.(2641kN-m)

Figure 3-5 Cap Beam Preliminary Design Actions

!
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Thus, the bending moment for the preliminary design of the cap beam longitudinal
reinforcement was M, = 23372kips-in.(264 1kN-m), as calculated in Figure 3-5. Moment curvature
analysis presented in Figure 3-6 indicates that the theoretical yield moment, which is 25300kips-in.
(2859kN-m), is higher than the moment demand, thus the section presented in Figure 3-7 was used
in the pushover analysis to evaluate the seismic response of this preliminary design.
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M, = 33500 kip-in. (3785 kN-m) [
10000 - = i i
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Figure 3-6 Reinforced Concrete Section for the Cap Beam
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Figure 3-7 Column/Cap Beam Joint Section

3.2.2 Pushover Analysis Response and Design Calculations

In this section, a brief description of the pushover analysis response and calculations for the
design of the cap beam are presented. The pushover analysis described in this section was performed
according to the finite element model presented in Chapter 2 and reference [1]. The column
overstrength moments are largely dictated by the stress-strain characteristics of the longitudinal
reinforcement. When the column longitudinal steel properties are available from material testing,
Sritharan et al.[4] recommend that the column overstrength moment be approximated to 1.05 times
the theoretical maximum moment. The cap beam design bending moments presented in Figure 3-8

were estimated according to the expressions:

oMy oy = 1.05 M, + M, (3.3)

Where g, is equal to 0.90 and represents the flexural capacity strength reduction factor and M 5, .,
is the cap beam design moment calculated at the column face, as described in Figure 3-8. In
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addition, M/, is the bending moment caused by lateral forces, which is obtained by subtracting M},
from Mp, . Bending moments that result from gravity loads, M), alone are presented in Figure 3-9,
and bending moments that result from gravity loads plus lateral forces, M, , are presented in Figure
3-10.

Cap Beam Design
Bending Moment Diagram Cap Beam
]()Ta[{ Be;rln ts L . \ ," L ¥ Seismic+Gravity
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"""""""" [T mmm s s T e s s s s s o e e -
| o d 3 .
2 P .
MRs: am  SNE .
Cap Beam | 3 // //// | / O/ ! | 4223kips-in bl
Design [N SR /// I e ) °t | (477kN-m) Fodhg
f\o ot 0o | ; P 41 i
Moments {F O I i 16925kips-in. | 1
FT Pl _‘]l 20840kips-in P (1912kN-m) | I : |
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Figure 3-8 Cap Beam Design Moments
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Uniform Distributed Load: 17.75kips/ft (259kN/m)
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Figure 3-10 Gravity + Seismic Loads Bending Moment Diagram
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Similar to the design moments, design shear forces were computed at the column faces

according to the expression :

0.V =105V, +V, 34

s " D,cap

where g, is equal to 0.85 and represents the capacity reduction factor for shear, and V), 1s the design
shear force evaluated at the column face, as presented in Figure 3-11. In addition, Vi is the shear
force caused by lateral forces, which is obtained by subtracting Vp, from Vi, . Shear forces that result
from gravity loads, V,, alone are presented in Figure 3-12, and shear forces that result from gravity

loads plus lateral forces, Vg, p, are presented in Figure 3-13.
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Figure 3-11 Cap Beam Design Shear Forces

-32-

570kips
(2535kN)



260Kips Uniform Distributed Load:

(1157kN) 227kips 193kips !
(IOIOEN) (859&) 38.6kips/ft (563kN/m)
|.
Lol

RZE
'_ 7 3 .
it (1::9“11(1;5 LY 227kips >

22kips _{HA ! i iy otoky - LY Lt

(98kN) 1§44 iAo 9Kkips R U
;/. LR o L;;
Pr—re [ T [l (| e 2 —
| e it B = e
Yt | fgte I —t—e f—e
! e [ e 1 et —e
1> | T +
I : [ L T
[ [ I3
; ) . m= : :

[ .

| o [ e * —»
1 = I
| e [ £ o
! Lo (o
I s ie I
| 5 B
] I s I
I b
| et
| ‘
|
|
[
|
[
I
I
2
|
L

260kips 420kips
(1157kN) (1868kN)

Figure 3-12 Gravity Loads Shear Force Diagram

-33-



Uniform Distributed Load: 17.75kips/ft (239kN/m)
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According to a capacity design philosophy it is required that undesirable modes of
deformation such as shear be inhibited, and the columns must be designed with adequate transverse
reinforcement to ensure adequate confinement of the column plastic hinges. In addition, design of the
cap beam was performed considering the column overstrength, to ensure that the cap beam remains
essentially elastic and inelastic deformations are concentrated in the column plastic hinges under the
imposed gravity and seismic loads. The column overstrength moment consider material uncertainties
and strain hardening of the column longitudinal reinforcement. Design of the cap beam was based on
the design procedure outlined in reference [1] and calculations are presented in Tables 3-5 through

3-7.

Table 3-5 Cap Beam Reinforcement Design

¢ Design Moments
¢rMcar=1.05MEe+1.00MbD , 0r=0.90
(See Figure 3-8 for Cap Beam Design Moment Diagram Diagram)

4 Design Shear
¢s Vcar=1.05VE+1.00 VD, §s =0.85
(See Figure 3-11 for Cap Beam Shear Force Design Diagram)

¢ Cap Beam Shear Design ASCE-ACI 426:
vp = ( 0.80+ 120 pp ) VE’ =
(0.80 + 120 x 0.0036 ) V3000 = 68 psi < 2.4 Vf.’ psi (0.2 Vi’ MPa)

Ve=VbX (1+3P/(fc’Ag))=
68 x (1+3x132000/(3000x 54x42) =72 psi
(Interior Column is Critical see Figure )

V. = 0.80 vc x Ay = 131kips (581kN)

S=AspfythOte/(Vdes’Vc)=4X0.20X60X40XCOt35/ (740 -131)

= 6.50in. (165.10mm)
S < hp /4 € 10.50in. (267mm) Use #4 at 6.50 in o/c (4 legged stirrups)
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Table 3-6 Principal Stress Calculations

(Trailing Column):
¢ Joint Shear Stress
vin =M/ ( he Y2D?) = 20840 / (42 x 1.41 x 36%) = 270psi (1.87MPa)

¢ Vertical Axial Stress
fv=Pc/((hb+D)\/2D)=—50/((42+36)x 1.41 x 36 ) = -13psi (0.09MPa)

¢ Horizontal Axial Stresses
fh=Vo/(hox W)= -117/(42 x 54 ) = -52psi (0.36MPa)

¢ Principal Tension Stress
po= (fotf0 )2 -V (- )% 4+ vu? = -303psi (2.09MPa) =~ 5.53 Vi > 5.00 V.

¢ Principal Compression Stress
pe={fv+1fh )2+ */( f, - fa )%/ 4 + vjn® = +238psi (1.64MPa) = 0.08 f. < 030f

(Leading Column):

¢ Joint Shear Stress
vih = M/ (hy \/2D2) = 18060/ (42x 141 x 362) = 235psi (1.62MPa)

¢ Vertical Axial Stress
fv=Pc/((hb+D)\/2D)=570/((42+36) 1.41 x 36 ) = 144psi (1.00MPa)

¢ Horizontal Axial Stresses
fu=Vo/(ho X Wb )= 165/(42 x 54 ) =73psi (0.50MPa)

¢ Principal Tension Stress
pe=(fv+fn)2- V (£, - fu)% 4 + vjn® = ~130psi (0.90MPa) = 2.40 Vf. < 5.00 Vf.

¢ Principal Compression Stress
pe=(fv+fn )2+ N (fo-fn ) 4+ vin2= +346psi (2.39MPa) = 0.12 f. <0.30 f;

Based on Principal Tension Stress :
Design Joint with Maximum Required Joint Shear Reinforcement

Based on Principal Compression Stress :
Section is okay to Prevent Crushing of Concrete in the Joint Region
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Table 3-7 Joint Shear Reinforcement

¢ External Joint Vertical Stirrups
Ajy=0.125x 1.40 x 12 x 1.27 = 2.67in.2 (1721mm?)
Use 4 - #4 (4 legged stirrups)
within 40in. From column face

¢ Internal Joint Vertical Stirrups
Ajv = 0.095 x 1.40 x 12 x 1.27 = 2.03 in.? (1308mm?)

Use 3 - #4 (4 legged stirrups)
Inside Joint Region

¢ Additional Cap Beam Top Layer
AAp=0.17x14x12x1.27=3.63in.? Use 4 - #9

¢ Additional Cap Beam Bottom Layer
AAp=015x14x12x 1.27=3.20in2 Use 4 - #9

¢ Joint Horizontal Hoops

ps=0.30 X Ao X Asc fye/ (fyvLa2) = 0.30x 1.4x15.24/35% = 0.53%

ps 2 3.50 V f¢' / fyn = 3.50 Y3000 / 60000 = 0.32%

s=4 Agn/D’ps= 4x0.31/(36-4)x0.0053 = 7.30in. (185.70mm)
Use #5 at 7 in. o/c
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The pushover analysis lateral force-deformation relationships and limit states for the
redesigned bridge bent are plotted in Figure 3-14. Limit states presented in Figure 3-14 indicate that
full formation of the plastic mechanism in the gap region will be ensured due to additional capacity
of the cap beam from shear and flexural considerations. In addition, failure of the joint regions will
not occur because of the additional reinforcement provided in the joints.

Presented in Figure 3-14 are the spectral forces and displacement obtained from the time
history, which will be presented in the next section. According to the spectral displacement the
structure has reserved displacement ductility capacity to withstand the imposed displacement of 8in.
(203.20mm). Thus, with proper detailing of the cap beam, full formation of the plastic mechanism

in the gap region will be ensured.

Cap beam and column moment curvature relationships are presented in Figure 3-15. Unlike
results described in Chapter 2, columns will be subjected to higher curvature ductility demands than

the in cap beams, as expected from capacity design principles.
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Figure 3-14 Lateral Force-Deformation and Limit States
From Pushover Analysis
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3.3 Time History Analysis Response

Similar to the procedure outlined in Chapter 2, an elastic and nonlinear time history analyses
were performed using the simulated ground motion presented in Figure 3-4(d), and the finite element
model described in Chapter 2. The modified Takeda model was the model used to characterize the
hysteretic behavior of the columns and cap beam. This model was based on the bilinear

approximation presented in Figures 3-2 and 3-6 for the columns and cap beam, respectively.

Elastic and nonlinear moments at top the columns located on the extreme sides and adjacent
cap beam moments are plotted in Figures 3-16(a) and 3-16(b), respectively. Calculations for force
reduction factors are presented in Table 3-8, which indicate that a force reduction factor, R, of
approximately 3.81 will be achieved, which is approximately the design force reduction factor of 4.
In addition in Figures 3-16(c) and 3-16(d) are presented the column top displacement for the elastic
and nonlinear analysis, respectively. Values presented in Table 3-6 indicate that a displacement
ductility, p,, of approximately 3.96 will be achieved, which is slightly smaller than the design
displacement ductility of 4. This value is approximately the same as the R value, which characterizes
the equal-displacement principle established for an inelastic system [2]. These values indicate that
the seismic response of the redesigned bridge bent is within the design requirements.

In Figure 3-17(a) and 3-17(b) are presented the columns and cap beam moment-curvature
relationships, respectively, obtained from the nonlinear time history analysis. Referring to Figure 3-
17(a), it is clear that the columns under the imposed seismic actions will be subjected to increased
inelastic deformations than in the cap beam, as illustrated in Figure 2-17(b). Thus, the cap beam
design is adequate to ensure proper formation of the plastic hinges in the columns gap region at the

cap beam interface.
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Table 3-8 Force Reduction Calculations
From Time History Analysis

WrotaL Ve Vp
. , Cs . R
kips kips g - kips Ve/V
(kN) (kN) (kN) y
. . 2600 1980 520
Bridge Weight (11565) (8807) 0.76 2313) 3.81
Table 3-9 Displacement Ductility Calculations
From Time History Analysis
Ay Ad
in. in. WAq
(mm) (mm)
Column Top 1.90 7.53 3.06
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Figure 3-17 Moment vs. Curvature Time History Nonlinear Analysis
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4  CONCLUSIONS

Redesign of the Knik River Overflow Bridge is presented in this report. Redesign of this
bridge bent was performed using the multiple column bridge bent design recommendations
presented in the full-scale proof test of a bridge bent having three cast-in-place steel shell
columns report [1], which was prepared for the Alaska Department of Transportation and Public

Facilities.

In the redesign of the bridge bent, the plastic hinges were selected at the top of the
columns and the cap beam was designed to remain essentially elastic according to the capacity
design philosophy. Redesign of the cap beam was performed in accordance with the capacity
design philosophy utilizing research findings from previous studies at UCSD [1]. The cap beam
width was related to the column diameter by 1.5D, which is consistent with current seismic
design practice. When designing the column/cap beam joints, emphasis was placed in
minimizing reinforcement quantities so that constructable joint details are obtained. Anchorage
of the column longitudinal reinforcement into the cap beam was achieved with straight bar ends
since J-hooks or tails at bar ends can also create congestion of reinforcement in the joint zones.
In addition, the steel shells were terminated below the cap beam to avoid premature damage in
the beam by the steel shell during lateral load response.

Pushover and time history linear and nonlinear analyses were performed according to the
models described in Chapter 3. The analytical results indicate that the redesign is sufficient in
ensuring that plastic hinges will form at the top of the pile shaft/columns in the gap region.

Based on the design and performance of the multi-column bent test unit and other
recently completed UCSD research studies, a detailed list of design recommendations are
presented in reference [1] for the seismic design of multi-colurmn bridge bents with circular
CISS-columns. It is assumed that multi-column bridge bents are designed using the capacity
design philosophy with hinges forming at the column ends. Redesign of the Knik River Overflow
Bridge was based on the these list of design recommendations, and it is ensured that a ductile
seismic response can be expected up to the design drift limit state.
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